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ABSTRACT

INVESTIGATION OF SHEAR STRENGTH OF PREFAILED
OVERCONSOLIDATED HIGH AND LOW PLASTIC CLAYEY
SLOPES WITH FAST SHEARING

Clayey soils may be investigated since the days of the beginning of the geotechnical
science. However, the behaviour of the clays in different loading conditions and in
different situations is still in investigation. This study is dealt with the prefailed soil slopes

made with high or low plastic overconsolidated clays.

After failure, thought of “soil strength reduces its residual strength” has found
general acceptance and residual strength is applied to the calculations of the stability of
prefailed slopes. In this point, the question comes to the minds; if the slope formed with
clayey soil or more specifically, high or low plastic overconsolidated clays, what would be

the difference in shear behaviour? That is the main point of this study.

In the tests, Kaolin clay is used for low plastic and 50 % Kaolin + 50 % Bentonite in

weight are used for high plastic clay samples.

As testing steps; first, samples are overconsolidated, then sheared until their residual

strengths and finally tested again in fast shearing.

At the end of the 30 tests, the results are obtained as expected. High plastic samples
gave lower strength values under the same normal stress; however, the interesting result

was about residual strength and fast shear strength values.

In general, fast shear tests, at least 21 days after prefailing, gave higher shear strength

values than the residual ones.



OZET

ONCEDEN KAYMIS ASIRI KONSOLIDE YUKSEK VE ALCAK
PLASTIK KiLLI SEVLERIN KESME MUKAVEMETININ HIZLI
KESME YONTEMI iLE ARASTIRILMASI

Killi zeminler geoteknik biliminin baglangicindan beri inelenmekte olabilir, ancak
kilin farkl yiikleme durumlarinda ve farkli sartlardaki davranisi halen incelenmektedir. Bu

calisma, yliksek ya da diisiik plastic killerden olusmus dnceden kaymis sevlerle ilgilidir.

Kaymadan sonra, “zeminin giicii reziduel degere diiser” diislincesi genel anlamda
kabul gérmiis ve onceden kaymis sevlerin kararlilik hesaplarinda bu deger kullanilmstir.
Bu noktada, eger sev kilden olusuyorsa sorusu akillara gelebilir; daha detayli diisiiniirsek,
eger sev yiikksek ya da diisiik plastisiteli asir1 konsolide killerden olusuyorsa kesme

davranisinda ne gibi farkliliklar olabilir? Iste bu ¢alismanin ana noktasi budur.

Deneylerde, diisiik plastisiteli 6rnekler i¢in Kaolin, yiliksek plastisiteli 6rnekler igin

ise agirlikca %50 Kaolin ve %50 Bentonit karisimi kullanilmastir.

Deney asamalar1 olarak, once Ornekler asir1 konsolide edildi, daha sonra reziduel
degerlerine kadar kesme deneyi silirdiiriildii ve son olarak da hizli kesme deneyi

gerceklestirildi.

30 deney sonunda, sonug¢lar umuldugu gibi ¢ikti. Yiiksek plastisiteli killer ayn1 diisey
basinglar altinda daha diisiik kesme mukavemeti gosterdiler, ancak, asil ilging sonug

reziduel mukavemet ve hizli kesme mukavemeti degerleri ile ilgili oldu.

Genel olarak, kesme deneyinden en az 21 giin sonra yapilan hizli kesme deneyleri,

reziduel kesme mukavemet degerlerinden daha yiiksek degerler verdi.
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1. INTRODUCTION

Earthquakes and their effects on environment are crucial issues that Turkey must be
prepared. Especially landslide prone areas require a special consideration. One of the most
critical parameters for the design is the soil strength parameters. These parameters vary

depending on the soil history.

Geotechnical literature reveals information about laboratory test methods to
determine the dynamic properties and responses of clayey soils, residual strength of them,
strength parameters of normally consolidated clays under seismic loading, and some
experimental studies on progressive failure of a slope during earthquakes. The results of

these studies have been of great importance for earthquakes science.

As a result of such research it is known that at large strains, the shear strength falls
below the peak value and the clay in a narrow zone adjacent to the failure plane will soften
and reach the critical state. However, because of the non-uniform strain in the specimen the
exact point on the curve corresponding to the critical state is uncertain. With continuing
shear displacement, the shear strength continues to decrease, below the critical state value,

and eventually reaches a residual value at a relatively large displacement.

If the clay contains a relatively high portion of plate-like particles, a reorientation of
these particles parallel to the failure plane occurs as the strength decreases towards the

residual value.

Several forces like earthquake forces produce shear stresses throughout the soil mass,
and a movement will occur unless the shearing resistance on every possible failure surface
throughout the mass is sufficiently larger than the shear strength. The solution for the
failure model is highly sensitive to the shear strength. Moreover, the determination of

appropriate shear strength is the most difficult part in the analysis.

Slopes in overconsolidated clays require special consideration. A number of cases

are on record in which failures in this type of clay have occurred long after dissipation of



excess pore water pressure had been completed. Analysis of those failures showed that the
average shear strength at failure was below the peak value. It is probable that large strains
occur locally due to the presence of fissures, resulting in the peak strength being reached,
followed by a gradual decrease towards the critical state value. The development of large
local strains can lead eventually to a progressive slope failure where one can observe a
gradual reduction in strength to the residual value. When a local failure occurs, the strength
reduces to residual with a load transfer to adjacent zones, which then fail, and result in a
general potential slip surface. The study of progressive failure gives insight into the
interdependence of the stability of adjacent elements or sections of a soil mass. Progressive
failure does not require the entire mass to be simultaneously in a state of failure. A local
point of failure may result in sufficient load transfer to an adjacent point that the soil is

overstressed, resulting in a mass failure.

It is also possible that there could be a pre-existing slip surface in that type of clay
and it is reactivated. In such cases, a considerable slip movement could have taken place
previously, sufficiently large for the shear strength to fall below the critical state value and

towards the residual value.

Thus, for an initial failure in overconsolidated fissured clay the relevant strength for
the analysis of long-term stability is the critical state value. However, for failure along a

pre-existing surface the relevant strength shall be the residual value.

Our research direction is the effects of earthquakes on previously failed
overconsolidated clayey soil slopes with high and low plasticity. The artificially prefailed
slopes would be expected to withstand earthquake loads with its residual strength value.
However, there have been no studies to verify this expectation. In this research, tests have
been conducted in order to investigate the behavior of prefailed overconsolidated clayey

slopes with high and low plasticity under earthquake loading simulated by fast shearing.



2. CLAY

2.1. Clay Definition

Clay is used as a rock term and also as a particle-size term in the mechanical analysis
of sedimentary rocks, soils, etc. As a rock term it is difficult to define precisely, because of
the wide variety of materials that have been called clays. In general the term clay implies a
natural, earthy, fine-grained material which develops plasticity when mixed with a limited
amount of water. By plasticity is meant the property of the moistened material to be
deformed under the application of pressure, with the deformed shape being retained when
the deforming pressure is removed. Chemical analyses of clays show them to be essentially
silica, alumina, and water, frequently with appreciable quantities of iron, alkalies, and

alkaline earths.

As a particle-size term, the clay fraction is that size fraction composed of the smallest
particles. The maximum size of the particles in the clay size grade is defined differently in
different disciplines. In geology the tendency has been to follow the Wentworth 1922,
scale and to define the clay grade as material finer than about 4 microns. In soil
investigations, the tendency is to use 2 microns as the upper limit of the clay size grade.
Although there is no sharp universal boundary between the particle size of the clay
minerals and nonclay minerals in argillaceous sediments, a large number of analyses have
shown that there is a general tendency for the clay minerals to be concentrated in a size
less than 2 microns, or that naturally occurring larger clay-mineral particles break down
easily to the size when the clay is slaked in water. Also such analyses have shown that the
nonclay minerals usually are not present in particles much smaller than 1 to 2 microns. A
separation at 2 microns is frequently about the optimum size for the best split of the clay-
mineral and nonclay-mineral components of natural materials. There is, therefore, a

fundamental reason for placing the upper limit of the clay size grade at 2 microns.

Clays contain varying percentages of clay-grade material and therefore, varying
relative amounts of nonclay-mineral and clay-mineral components. Many materials are

called clays in which the clay grade and clay-mineral component make up considerably



less then half the total rock. In such materials the nonclay is frequently not much coarser
than the maximum for the clay grade, and the clay-mineral fraction may be particularly
potent in causing plasticity. In general fine-grade materials have been called clay so long
as they had distinct plasticity and insufficient amounts of coarser material to warrant the
appellations silt or sand. If particle size analyses are made, the term clay would be reserved
for a material in which the clay grade dominates. However, names have been and are
applied most frequently solely on the basis of the appearance and bulk properties (e.g.,
plasticity) of the sample.

2.2.  Factors Controlling the Properties of Clay Materials

The factors which control the properties of clay materials or the attributes which

must be known to characterize completely a clay material may be classified as follows:

2.2.1. Clay-mineral Composition

This refers to the identity and relative abundance of all the clay-mineral components.
Since certain clay minerals which may be present in very small amounts may exert a
tremendous influence on the attributes of a clay material, it is not adequate to determine
only the major clay-mineral components. Thus a small amount (5% %) of montmorillonite
in a clay is likely to provide a material very different from another clay with the same
composition in all ways except for the absence of montmorillonite. In order to make
complete clay-mineral determinations, it is frequently necessary to fractionate the clay
grade to concentrate minor constituents so that adequate analytical data can be obtained.
Fortunately such a concentration can often be attained because the various clay minerals
frequently occur in particles of different sizes or break down easily in water to particles of
different size. Also the clay minerals must be determined in their natural state. For
example, care must be taken that the analysis will reveal the natural hydration state of the

mineral and their ion exchange composition.



2.2.2. Nonclay-mineral Composition

This refers to the identity of the nonclay minerals, their relative abundance, and the
particle-size distribution of the individual species. Calcite, dolomite, large flakes of mica,

pyrite, feldspar, gibbsite, and other minerals are very abundant in some clay materials.

The nonclay minerals in clay materials tend generally to be concentrated in particles
coarser than about 2 microns. There are, however, materials in which they are much finer
grained. Many clay materials contain fine iron oxide or hydroxide, which acts as a

pigment.

2.2.3. Organic Material

This refers to the kind and amount of organic material contained in clay material. In
general the organic material occurs in clay materials in two ways: it may be present as
discrete particles of wood, leaf matter, spores, etc., or it may be present as organic
molecules adsorbed on the surface of the clay-mineral particles. The discrete particles may
be present in any size from large chunks easily visible to the naked eye to particles of

colloidal size which act as a pigment in the clay-mineral material.

The total amount of organic material can be determined simply by readily available
standard analytical procedures. Values may be obtained from the difference between total
loss on ignition and determination of loss of water, sulfur, and other inorganic volatiles.
Such volatiles are not precise but are usually adequate. Differential thermal analyses
provide a crude determination of amount of organic material gives a dark gray or black
color and organic content. A very small amount of organic material may have a very large

pigmenting effect.

2.2.4. Exchangeable lons and Soluble Salts

Some clay materials contain water-soluble salts which may have been entrained in

the clay at the time of accumulation or may have developed subsequently as a consequence
of weathering or alteration processes, as in the oxidation of pyrite to produce sulfates. It is



frequently necessary to wash out the soluble salts before other attributes of the material are
studied. Some salts may act to flocculate the clay, so that it cannot be dispersed for
particle-size analysis or for fractionation preliminary to clay-mineral analysis until the salts
are washed out. Common water-soluble salts found in clay materials are chlorides, sulfates,

and carbonates of alkalies, alkaline earths, aluminum, and iron.

The clay minerals and some of the organic material found in clay materials have
significant ion-exchange capacity. The ion-exchange capacity of the clay minerals and the
organic components, as well as the identity and relative abundance of the exchangeable

ions which are present, are extremely important attributes of clay materials.

2.2.5. Texture

The textural factor refers to the particle-size distribution of the constituent particles,
the shape of the particles, the orientation of the particles in space and with respect to each

other and the forces tending to bind the particles together.

Some knowledge of the particle-size distribution of the coarser grains can be
obtained quickly by microscopic examinations, and detailed determinations can be made
by sieving and/or wet sedimentation methods. Fine-grained particles require wet methods,
and this applies to the clay-mineral fraction.

2.3. Clay-Water System

The nature of the low-temperature water and the factors that control its
characteristics are of great importance, since they largely determine the plastic, bonding,
compaction, suspension, and other properties of clay materials, which in turn frequently
control their commercial utilization. Thus, an understanding of this low-temperature water
in relation to the clay minerals must precede an understanding of the plastic and many
other properties of clay materials.



2.3.1. Nature of Adsorbed Water

The water holds directly on the surfaces of the clay particles is in a physical state
different from that of liquid water. It has frequently been considered to be denser and more
viscous than ordinary liquid water. The specific characteristics of this water which delimit
it from ordinary water would probably be restricted ordinarily to relatively short distances
from the clay-particle surfaces, distances generally of the order of three to ten molecular
layers of water, i.e., 8 to 28 A. The possible thickness of the nonordinary water can vary a
good deal even for a given clay mineral, and the transition from nonordinary water to
ordinary water can be abrupt or gradual, depending on factors that will be considered

presently.

It appears certain that the possible thickness of the nonordinary, or so-called
nonliquid, water is relatively small on irregular surfaces, such as those around the edges of
clay-mineral particles, and relatively large on the flat surfaces of clay minerals. The film of
nonordinary water is best developed and appears to reach its greatest thickness on the basal
plane surfaces of the expanding-lattice minerals of the montmorillonite group. It follows
that the water forming only a thin film on the surface of the pores and where adjacent clay-

mineral particles come together.

The initially adsorbed water on the basis of the dipole character of the water
molecule; the latter possesses positive and negative charges, the centers of which do not
coincide. Since the surface of the clay particle is normally negatively charged, the positive
ends of the water molecules are considered to lie initial layer of water is believed to consist
of water molecules all oriented in the same direction. According to this concept, the first
layer of oriented-dipole water molecules forms another surface of negative charges on
which can be built another layer of completely oriented water molecules. This process of
building up layers could be continued indefinitely were it not for the fact that the water
molecules possess thermal energy and tend to be in a state of continuous motion. In
accordance with classical concepts of colloidal theory, the motion due to thermal energy
will oppose the regular orientation. Therefore, at any given instant and at a certain distance
from the surface some of the molecules will be oriented at right angles to the surface. An

instant later these molecules will have moved, but others will have become oriented in



their place. At the actual clay-mineral surface the molecules will be highly oriented, and
the degree of orientation will decrease going outward, as the relative effect of thermal
movement becomes greater. Macey 1941, has pointed out difficulties encountered by this
concept, particularly in view of the facts that the clay-mineral surface is not a uniformly
charged plane and that the water molecules strictly do not act as little rods with positive

and negative ends.

Earlier investigations, mainly by Bernal and Fowler 1933 and Bernal and Megaw
1935, of the hydrogen bond and of the distribution of charges about a water molecule led
Hendricks and Jefferson 1938 to a concept of the nature of the initially adsorbed water that
Is based on an orientation of water molecules with a structure tied to the configuration of
the oxygens or hyroxyls in the basl surface layers of the unit cells of the clay minerals. In
the language of Hendricks and Jefferson 1938, a water layer is composed of water
molecules joined into hexagonal groups of an extended hexagonal net as shown in Figure
2.1. This arrangement is partly a result of a tetrahedral distribution of charge about a water
molecule; two corners of tetrahedron being occupied by hydrogen atoms and the other two

corners by an excess of electrons.

Figure 2.1. Configuration of water adsorbed directly adjacent to the basal plane surfaces of
the clay minerals, after Hendricks and Jefferson, 1938.
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Figure 2.2. Arrangement of oxygens and hydrogens in water net, after Hendricks and
Jefferson, 1938.

Each side of the hexagon (Figure 2.1) must correspond to a hydroxyl bond, the
hydrogen bond of one water molecule being directed toward the negative charge of a
neighboring molecule. One-fourth of the hydrogen atoms, or a hydrogen atom of half of
the water molecules, are not involved in bonding within the net (K, M, and O of Figure
2.2). The net is tied to surface of the clay minerals by the attraction between those
hydrogen atoms not involved in bonding within the net and the surface oxygen layer of the
clay-mineral unit. When the surface of the clay mineral contains hydroxyl groups (e.g.,
halloysite and kaolinite), part of the hydroxyls are free for bonding through hydrogen to

oxygen atoms in the water layer.

The stability of the layer of water molecules arises from the geometrical relationship
to the oxygen atoms or hydroxyl groups of the silicate frame-work. The presence of the
first layer would favor the formation of a second layer, and the water structure would thus
be propagated away from the clay-mineral surface. At some distance from the surface the
dissociation pressure of successive layers, considered as hydrates, would finally approach
the vapor pressure of water at the temperature of observation, and the oriented water net

would cease to develop.

In the Hendricks and Jefferson, 1938 configuration every other water molecule lies
about over an oxygen of the surface layer of the three layer clay minerals. Since half of the
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water molecules have hydrogen available for vertical bonding, the directly superimposed
oxygens and water molecules may be assumed to be tied together through these hydrogen
bonds. As successive molecule layers develop, the exterior layer can be tied to the layer
next below by a hydrogen from every other water molecule. According to this scheme no
hydrogens would be available for tying together series of water layers growing outward
from two neighboring clay-mineral surfaces, unless the directly adjacent water layers of
two water envelopes were tied together by relatively fewer bonds. A plane or planes of
relatively weakly bonded water molecules would exist, therefore, at the junction of two

water envelopes.

The Hendricks and Jefferson, 1938 concept of the structure of the adsorbed water has
been criticized by Hofmann and Hausdorf, 1942, Mackenzie, 1950 and Walker, 1949
because it neglects the probable influence of adsorbed cations, which in many cases are to
be found directly on or at least very close to the oxygen surface on which the water
configuration develops. Further, some of these cations are hydrated and, therefore, would
probably significantly influence the arrangement of the water molecules directly adjacent
to them. Mackenzie, 1950 has particularly emphasized this point and has indicated that the
matter of cation hydration would be particularly important in the part of the adsorbed water
net closest to the clay-mineral surfaces. In the case of montmorillonite, there would be
about one monovalent cation for each two hexagonal configurations of water in the first
molecular water layer. According to Mackenzie, there is a space problem in fitting such a
number of ions into the water net. Mackenzie presents computations of the energy of
hydration of the sheet surface of montmorillonite carrying various ions; these data are in
accord with his suggestion that, at low water contents, water sorption depends primarily on
the exchangeable ion present, the sheet surface being of subsidiary importance. Others,
notably Williamson, 1951 have objected to the Hendricks and Jefferson, 1938 concept,
because of their feeling that the sorption forces are strong enough to cause a dense packing

of at least, the initially adsorbed water molecules.

Macey, 1941 arguing from the similarity between the structure of ice and of the
oxygen atoms exposed at a sheet surface of the layer clay minerals, has postulated that the
initially adsorbed water has the structure of ice. Macey considers that it fits on top of the
oxygen net of the basal plane of the three-layer clay minerals. The fit of the water
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molecules with the oxygen net as suggested by Macey is different from that suggested by
Hendricks and Jefferson. According to the Macey concept, the distance between oxygens
in the water layer would be 4.52 A, and the packing would be even looser than that
suggested by Hendricks and Jefferson, 1938 There would be three molecules of water per
unit cell per molecular layer. Such loose packing of water in a given layer would be
predicated on hydrogen binding to additional water not in the layer under consideration. In
the structure of ice, other water molecules would be just out of the plane in contact with the
silicate structure, and there is no epitaxial arrangement between them and the silicate
surface. In the Hendricks and Jefferson concept, the ice structure is stretched so that the
offset water molecules come into the same plane and there is no change in the hydrogen
binding. Also the stretch permits a complete epitaxial arrangement of all the water
molecules and the silicate surface. The same objections raised against the Hendricks and
Jefferson structure can be raised against the Macey structure. However, the space problem
caused by the presence of adsorbed cations might be less acute. Forslind, 1948 has reported
electron-diffraction data which seem to indicate a structure at least similar to ice in the
initially adsorbed water of montmorillonite. Very recently DeWit and Arens, 1950 have
published some density measurements that seem to be in agreement with the Macey

concept.

Barshad, 1949 has very recently suggested another concept of the nature of the
adsorbed water on the basis of careful dehydration determinations. According to him, at
very low states of hydration for montmorillonite, the water molecules tend to form
tetrahedrons with the oxygens of the top layer of the linked silica tetrahedrons of the
lattice. This type of packing would give rise to hexagonal rings of water molecules which
are similar to the hexagonal rings of oxygens of the vertices of the linked silica tetra-
hedrons of the individual silicate sheets. The packing in this configuration would be loose,
as there would be only four molecules of water per unit cell per molecular layer, and the

height added for a single layer of water molecules would be 1.78 A, according to Barshad.

2.4. Overconsolidated Clays

Many soils have been subject to high stresses at some stage in their depositional

history. Such stresses cause the porosity of the soil to decrease. Later, these high stresses
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may be alleviated or entirely removed through the erosion of overlying later sediments.
This process is termed overconsolidation, and is an early stage in the lithification of
sediment. The terms “soil” and ‘rock’ are used here in quite a different manner from that in
which they are used in the pure geological sciences. For an engineer, geological materials
are soil until they become so hard that they must be excavated with special tools, wedges,
picks, pneumatic and hydraulic drills, or blasted with explosives. The overconsolidated
clays, silty clays and clay-shales, therefore count as soils, not rocks, in this classification.
Yet, they are clearly different from the soft sediments of recent age. This kind of soils
would be classified as normally consolidated if they had never experienced higher stresses

than those to which they are presently subjected.

One major difference between the normally consolidated and overconsolidated soils,
apart from consistency, or undrained strength, is the presence of fissures in
overconsolidated soils. Terzaghi has suggested that clays may be divided into two
categories, fissured clays and intact clays. Very stiff clays invariably contain fissures that
are filled with small joints or cracks. These stiff clays have such high shearing strength that
questions seldom arise regarding to adequacy of their strength to prevent failure. The real
problems in such clays occur when water enters the cracks. They have been opened
slightly by additional stresses imposed by a change of loading, and this leads to slaking and
formation of a soft clay matrix within the joint system. Intact clays may be defined as clays
which are free of joints and fissures (Taylor, 1948). The occurrence of fissures, which are
after all only one category in a wide variety of different discontinuity surfaces in the soil
mass, is related to the stress relief element of overconsolidation process. Their genesis is
by no means understood, but is no doubt due in some way to differential strains during the
initial consolidation, and the later swelling as stress is removed. Fissures have a bearing on

the shear strength of the soil.

A second major difference is the presence of higher lateral stresses in the ground,
which are left ‘locked in” as vertical stresses are released. These then give greater stress

relief effects if excavations are opened up in the ground.

In addition, the overconsolidated soils inevitably have lower porosities than their
normally consolidated counterparts. This leads to their having a stiffer behavior in respect
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of deformations under applied load, and more dilatant behavior under shear because of the

denser packing of the particles.

Overconsolidation is normally caused by the removal of later sediments but can be
caused in other ways, which are over consolidation by the weight of overlying ice and
desiccation. Salt-marsh deposits, and river alluvium on the flood plain, can be
overconsolidated by the strong suction of normal evaporation, and these may be
supplemented by influence of plant roots. Rapidly accreting sediments may then have
several lightly or even strongly overconsolidated horizons in an otherwise normally

consolidated profile.
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3. SLOPE STABILITY

Slopes are either a natural consequence of geological and geomorphological
evolution or the result of mankind’s perceived need to modify the landscape by direct or
indirect means. Careful consideration of the stability and instability of natural or man-
made slopes is central to good engineering practice. There is a large body of knowledge
concerning the various parameters, variables and models that are important to a clear

understanding of the processes affecting the stability of slopes (Bromhead, 1992).

Landslides or soil slope failures are among the most common natural hazards. As
with most natural hazards, they are often characterized by the catastrophic examples.
Unlike most natural hazards, however, most damage is not caused by extreme events, but

by uncounted (and often unreported) minor events.

The hazards associated with landslides are as diverse as the types of failure. Falls
may damage roads, buildings at the base of a steep slope, injure climbers, or remain on a
road as a hazard to drivers. Slumps usually damage utilities within or below the slide mass,
but seldom cause a threat to life. Translational slides can be the most catastrophic of all. In
addition to presenting a local hazard to structures and utilities, they can cause damage and
death both far from and only slightly below the source. Flows, in addition to the above
hazards, can flow around well-built structures, preserving them but causing damage from

water and mud.

3.1. Reasons of Slope Failure

The reasons of slope failures could be grouped into three headings; geological,

morphological and human causes.

o Geological causes
a. Weak or sensitive materials
b. Weathered materials
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c. Sheared, jointed, or fissured materials

d. Adversely oriented discontinuity (bedding, schistosity, fault, unconformity,
contact, and so forth)

e. Contrast in permeability and/or stiffness of materials

o Morphological causes

a. Tectonic or volcanic uplift

i3

Glacial rebound

Fluvial, wave, or glacial erosion of slope toe or lateral margins

o o

Subterranean erosion (solution, piping)
Deposition loading slope or its crest
Vegetation removal (by free drought)

Thawing

> Q@ = o

Freeze-and-thaw weathering

. Shrink-and-swell weathering

. Human causes

a. Excavation of slope or its toe

=

Loading of slope or its crest

Drawdown (of reservoirs)

o o

Deforestation
Irrigation

Mining

Artifcial vibration

> Q@ = o

Water leakage from utilities

Although there are multiple types of causes of landslides, the three that cause most of
the damaging landslides around the world are these:
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3.1.1. Landslides and Water

Slope saturation by water is a primary cause of landslides. This effect can occur in
the form of intense rainfall, snowmelt, changes in ground-water levels, and water-level
changes along coastlines, earth dams, and the banks of lakes, reservoirs, canals, and rivers.
Landsliding and flooding are closely allied because both are related to precipitation, runoff,
and the saturation of ground by water. In addition, debris flows and mudflows usually
occur in small, steep stream channels and often are mistaken for floods; in fact, these two

events often occur simultaneously in the same area.

Landslides can cause flooding by forming landslide dams that block valleys and
stream channels, allowing large amounts of water to back up. This causes backwater
flooding and, if the dam fails, subsequent downstream flooding. Also, solid landslide
debris can "bulk™ or add volume and density to otherwise normal streamflow or cause
channel blockages and diversions creating flood conditions or localized erosion.
Landslides can also cause overtopping of reservoirs and/or reduced capacity of reservoirs

to store water.

3.1.2. Landslides and Seismic Activity

Many mountainous areas that are vulnerable to landslides have also experienced at
least moderate rates of earthquake occurrence in recorded times. The occurrence of
earthquakes in steep landslide-prone areas greatly increases the likelihood that landslides
will occur, due to ground shaking alone or shaking-caused dilation of soil materials, which
allows rapid infiltration of water. The 1964 Great Alaska Earthquake caused widespread
landsliding and other ground failure, which caused most of the monetary loss due to the
earthquake. Other areas of the United States, such as California and the Puget Sound
region in Washington, have experienced slides, lateral spreading, and other types of ground
failure due to moderate to large earthquakes. Widespread rockfalls also are caused by
loosening of rocks as a result of ground shaking. Worldwide, landslides caused by
earthquakes kill people and damage structures at higher rates than in the United States.
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3.1.3. Landslides and Volcanic Activity

Landslides due to volcanic activity are some of the most devastating types. Volcanic
lava may melt snow at a rapid rate, causing a deluge of rock, soil, ash, and water that
accelerates rapidly on the steep slopes of volcanoes, devastating anything in its path. These
volcanic debris flows (also known as lahars) reach great distances, once they leave the
flanks of the volcano, and can damage structures in flat areas surrounding the volcanoes.
The 1980 eruption of Mount St. Helens, in Washington triggered a massive landslide on

the north flank of the volcano, the largest landslide in recorded times.

3.2. Types of Landslides

The term “landslide” describes a wide variety of processes that result in the
downward and outward movement of slope-forming materials including rock, soil, artificial
fill, or a combination of these. The materials may move by falling, toppling, sliding,
spreading, or flowing. Figure 3.1 shows a graphic illustration of a landslide, with the

commonly accepted terminology describing its features

Crown cracks

Minor scarp
Transverse cracks

‘Transverse ridges

Radial
cracks
Surface of rupture
Toe
Main body
Hoot Toe of surface of rupture
Surface of separation
Figure 3.1. An idealized slump-earth flow showing commonly used nomenclature for labeling the

parts of a landslide
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The various types of landslides can be differentiated by the kinds of material involved
and the mode of movement. A classification system based on these parameters is shown in
Table 3.1. Other classification systems incorporate additional variables, such as the rate of

movement and the water, air, or ice content of the landslide material.

Although landslides are primarily associated with mountainous regions, they can also
occur in areas of generally low relief. In low-relief areas, landslides occur as cut-and-fill
failures (roadway and building excavations), river bluff failures, lateral spreading
landslides, collapse of mine-waste piles (especially coal), and a wide variety of slope
failures associated with quarries and open-pit mines. The most common types of landslides
are described as follows and are illustrated in Figure 3.2.

Table 3.1. Types of landslides. Abbreviated version of Varnes’ classification of slope movements
(Varnes, 1978).

TYPE OF MATERIAL
TYPE OF MOVEMENT ENGINEERING SOILS
BEDROCK
Predominantly coarse Predominantly fine
FALLS Rock fall Debris fall Earth fall
TOPPLES Rock topple Debris topple i Earth topple
ROTATIONAL !
SLIDES Rock slide Debris slide Earth slide
TRANSLATIONAL
LATERAL SPREADS Rock spread Debris spread Earth spread
FLOWS Rock flow Debris flow Earth flow  (soil
(deep creep) creep)
COMPLEX Combination of two or more principal types of movement
3.2.1. Slides

Although many types of mass movements are included in the general term
“landslide,” the more restrictive use of the term refers only to mass movements, where
there is a distinct zone of weakness that separates the slide material from more stable
underlying material. The two major types of slides are rotational slides and translational

slides.
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Rotational slide: This is a slide in which the surface of rupture is curved concavely
upward and the slide movement is roughly rotational about an axis that is parallel to

the ground surface and transverse across the slide (Figure 3.2A).

Translational slide: In this type of slide, the landslide mass moves along a roughly

planar surface with little rotation or backward tilting (Figure 3.2B).

Block slide: This is a translational slide in which the moving mass consists of a
single unit or a few closely related units that move downslope as a relatively
coherent mass (Figure 3.2C).

3.2.2. Falls

Falls are abrupt movements of masses of geologic materials, such as rocks and

boulders, that become detached from steep slopes or cliffs (Figure 3.2D).
Separation occurs along discontinuities such as fractures, joints, and bedding planes, and
movement occurs by free-fall, bouncing, and rolling. Falls are strongly influenced by grav-
ity, mechanical weathering, and the presence of interstitial water.
3.2.3. Topples

Toppling failures are distinguished by the forward rotation of a unit or units about
some pivotal point, below or low in the unit, under the actions of gravity and forces exerted
by adjacent units or by fluids in cracks (Figure 3.2E).

3.2.4. Flows

There are five basic categories of flows that differ from one another in fundamental

ways.

= Debris flow: A debris flow is a form of rapid mass movement in which a

combination of loose soil, rock, organic matter, air, and water mobilize as a slurry
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that flows downslope (Figure 3.2F). Debris flows include<50% fines. Debris flows
are commonly caused by intense surface-water flow, due to heavy precipitation or
rapid snowmelt, which erodes and mobilizes loose soil or rock on steep slopes.
Debris flows also commonly mobilize from other types of landslides that occur on
steep slopes, are nearly saturated, and consist of a large proportion of silt- and sand-
sized material. Debris-flow source areas are often associated with steep gullies, and
debris-flow deposits are usually indicated by the presence of debris fans at the
mouths of gullies. Fires that denude slopes of vegetation intensify the susceptibility of

slopes to debris flows.

e Debris avalanche: This is a variety of very rapid to extremely rapid debris flow
(Figure 3.2G).

e Earthflow: Earthflows have a characteristic “hourglass” shape (Figure 3.2H). The
slope material liquefies and runs out, forming a bow! or depression at the head. The
flow itself is elongate and usually occurs in fine-grained materials or clay-bearing
rocks on moderate slopes and under saturated conditions. However, dry flows of

granular material are also possible.

e Mudflow: A mudflow is an earthflow consisting of material that is wet enough to
flow rapidly and that contains at least 50 percent sand-, silt-, and clay-sized
particles. In some instances, for example in many newspaper reports, mudflows and

debris flows are commonly referred to as “mudslides.”

e Creep: Creep is the imperceptibly slow, steady, downward movement of slope-
forming soil or rock. Movement is caused by shear stress sufficient to produce
permanent deformation, but too small to produce shear failure. There are generally
three types of creep: (1) seasonal, where movement is within the depth of soil
affected by seasonal changes in soil moisture and soil temperature; (2) continuous,
where shear stress continuously exceeds the strength of the material; and (3)
progressive, where slopes are reaching the point of failure as other types of mass
movements. Creep is indicated by curved tree trunks, bent fences or retaining walls,

tilted poles or fences, and small soil ripples or ridges (Figure 3.21).
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3.2.5. Lateral Spreads

Lateral spreads are distinctive because they usually occur on very gentle slopes or
flat terrain (Figure 2J). The dominant mode of movement is lateral extension
accompanied by shear or tensile fractures. The failure is caused by liquefaction, the
process whereby saturated, loose, cohesionless sediments (usually sands and silts) are
transformed from a solid into a liquefied state. Failure is usually triggered by rapid
ground motion, such as that experienced during an earthquake, but can also be artificially
induced. When coherent material, either bedrock or soil, rests on materials that liquefy,
the upper units may undergo fracturing and extension and may then subside, translate,
rotate, disintegrate, or liquefy and flow. Lateral spreading in fine-grained materials on
shallow slopes is usually progressive. The failure starts suddenly in a small area and
spreads rapidly. Often the initial failure is a slump, but in some materials movement
occurs for no apparent reason. Combination of two or more of the above types is known

as a complex landslide.
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Translational landslide Block slide

Debris flow

Debris avalanche Earthflow

Lateral spread
Figure 3.2. The major types of landslide movement

3.3.  Slopes and Overconsolidation

3.3.1.Fissures in Clays

The softening of clay results in up to 80% loss of strength in some deposits after 30 to
70 years, and is probably responsible for the extreme variation of material strength
observed at several landslide sites. In order to be able to account for such changes and
variations in the engineering behaviour of clays, it is important to understand the
mechanisms by which the material properties of clays are altered. There is very little
understanding of the factors that control the amount and rate of softening in clay deposits.
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Two primary mechanisms have been proposed as playing important roles in the
softening of clay. These include the equilibration of negative pore pressures and the
deterioration of fissures by means of chemical alteration or slaking. As discussed below,
these two mechanisms are not entirely independent of one another, and it is probable that
both act to some degree in all clay deposits. In addition, these mechanisms surely act in
conjunction with the progressive failure mechanism in such a way that they are enhanced
by progressive failure. It may be difficult to uncouple the effects of one mechanism from
the other.

Still, it is essential that is recognised which material and environmental factors
control the extent and rate of softening at any given site. In addition, the engineer needs to
know the effect that a given amount of deterioration will have on the strength and stress-

strain behaviour of the clay deposit.

There are three important effects of fissuration in controlling the behaviour of clay
deposits. First, they provide inherent planes of weakness along which shear can occur. It is
for this reason that clays must also be considered from a rock mechanics point of view.
Second, the fissures greatly increase the permeability of clay deposits. Without the
conduits provided by fissures, most clay would be virtually impervious. Third, fissures

significantly increase the surface area exposed to weathering agents.

Thus, in addition to significantly weakening a clay mass, fissures greatly enhance the
process of deterioration in clays, by allowing a greater influx of water and other
weathering agents into the interior of the mass. The rate and extent of softening is highly

dependent on the presence of fissures.

In addition, whether softening occurs in response to the equilibration of negative
pore pressures, or by chemical alteration or slaking, softening surely weakens fissure wall

material first before progressing further into the clay mass.

As unloading occurs in response to excavation or natural erosion, negative pressures

can be created within the pore fluid of a clayey deposit. If the permeability of the clayey
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material is low, these negative pore pressures may persist for extended periods of time, and
may act to initially strengthen the deposit. However, as these negative pore pressures are
equilibrated by the influx of fluid, the apparent strength resulting from the tensile pressures

is destroyed.

Based on piezometric measurements within the blue and brown zones of the London
clay, Skempton (1964) proposed that long-term reduction in the strength of the London
clay might be related to extremely slow dissipation of negative pore pressures, which had
been generated in response to the cutting of the slope. Previous measurements in the

London clay had indicated that the value of Bishop's average pore pressure ratio, r, as

defined in Figure 3.3, was in the range between 0.25 and 0.35 for conditions of
equilibrium. This value had been reached in slope of brown London clay that had been cut
125 years previously. However, in the facing slope that had been recut 19 years before the
piezometric measurements were taken the pore pressures were only one-half of the
equilibrium value. Skempton thus concluded that the equilibration of negative pore
pressures in the London clay required about 40 to 50 years, and could thus account for the

loss of strength in slopes of London clay.

slip smface

Figure 3.3. Definition of Bishop's average pore pressure ratio, r;, (Skempton, 1964).
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h = piezometric height

Yw = unit weight of water

y = unit weight of clay

r, = average value of r, around slip
surface.

D =depth factor

As been determined previously by several researchers, Skempton confirmed that the
strength mobilized at failure was equal to the "fully-softened strength. The very slow
equilibration of negative pore pressure was therefore not proposed as a mechanism by
which peak strength was exceeded or by-passed. The proposed mechanism does, however,
suggest that the delays in slope failures of the London clay might be controlled by the time
required dissipating negative pore pressures, rather than the time necessary for
deterioration to occur. It is important to note that the slides evaluated by Skempton in his
1964 report, deliberately excluded shallow slips and slips in zones of seasonal variation.
Unlike the slides evaluated, these slips typically occur after exceptionally heavy rainfall,
especially following prolonged dry periods. For these cases, as well as for the slides

investigated by Skempton, the mechanism of softening must still be assessed.

That negative pore pressures still exist in the London clay 20 to 40 years after
excavations is both surprising and significant. It had been assumed that the presence of
fissures would allow rapid dissipation of negative pore pressures. However, it is not
necessary to implicate extremely low permeability to account for the presence of negative

pore pressures many years after excavation.

It is important to assess whether the negative pore pressures result entirely from the
initial slope cutting, or whether they might in addition result from soil suction associated
with material deterioration and swelling. Furthermore, it should be determined whether
failure of the London clay occurs primarily along fissures. If this is the case, one must be
concerned about measuring the equilibrium of pore pressure along fissures, and not the
equilibrium within the clay mass itself. Finally, equilibration of negative pore pressure is
certainly associated with the influx of more water into the material. It is important to
consider how the generation and dissipation of the pressures might occur in conjunction

with the deterioration and swelling.
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As early as 1844, an engineer, Gregory, and a geologist, Sir Henry Delabache,
observed the softening of fissures within the London clay and suggested that progressive
softening might account for slips that occurred several years after construction. Soon after,
Collins (1886) suggested that clay slopes along canals would eventually be reduced to
inclinations similar to those exhibited in the natural terrain. These observations were not
expounded on further until Skempton (1948) stated that one of the reasons for the long
delay in the development of soil mechanics could be found in the apparently ‘treacherous'
and unpredictable behaviour of stiff-fissured clays: especially since they are wide-spread in

south east England and in France.

Terzaghi (1936) reintroduced the idea that the strength of the stiff, fissured clays,
such as the London clay, depended on the spacing of the fissures and on the degree of
softening adjacent to the fissures. He also emphasised the behavioural difference between
the relatively stable non-fissured clays and the troublesome, fissured clays. Terzaghi and
Peck (1948) described the process by the following; “almost every stiff clay is weakened
by a network of hair cracks or slickensides. If the surfaces of weakness subdivide the clay
into small fragments 1 in. or less in size, a slope may become unstable during construction
or shortly thereafter. ... If the spacing of the joints in the clay is greater than several inches,
slopes may remain stable for many years or even decades after the cut is made. The lapse
of time between the excavation of the cut and the failure of the slope indicates a gradual
loss of the strength of the soil. Before excavation, the clay is very rigid, and the fissures are
completely closed. The reduction of stress during excavation causes an expansion of the
clay, and some of the fissures open. Water then enters and softens the clay adjoining these
fissures. Unequal swelling produces new fissures until the larger chunks disintegrate, and
the mass is transformed into a soft matrix containing hard cores. ... The water seems to
cause only deterioration of the clay structure; seepage pressures appear to be of no

consequence.”

Since Terzaghi's statements, numerous researchers have observed softening and
increased water content of the London clay along failure zones and within unfailed
fissures. It is of course important in future studies to distinguish between softening that
occurs prior to failure and that occurring as a result of failure. Further evidence for the
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deterioration of fissures prior to slope failure, comes from Hutchinson (1971) who noted
that mudflows in the London clay often consisted of a mud matrix surrounding hard clay

fragments.

Many slides have been occurred within the upper partially weathered layers of the
clays of North America and Italy. In addition, numerous authors have reported localised
softening occurring along failure planes and irregularly into fissures in lower zones. Scully
discussed in detail the very localised existence of "seeps™ consisting of highly weathered
Pierre with water contents greater than 130%. Even at depths of over 30.5 m, softened
zones were found such that the undrained compressive strength varied from the softened
strength of 320 kPa to 9.1 MPa within a 0.61 m distance. Certainly, the occurrence of these
softened zones must be joint controlled.

Deterioration of the strength along fissures can result from either (1) chemical
alteration, or from (2) increasing the amount of water adsorbed by the clay material.
Chemical alteration of a clay deposit can involve either the precipitation or deposition of
new minerals, or the chemical transformation of existing minerals. Furthermore, chemical
alteration can act to either decrease strength by breaking bonds, by increasing porosity, or
it can actually increase strength by creating new bonds, particularly in the presence of
cementing agents. The mineralogy can be altered such that properties such as the swelling
potential, or the residual strength, are either more favourable, or less favourable to stability

of the slope or foundation.

Although the effects of chemical alteration are probably of extreme importance in
controlling the long- term strength of clay deposits, this dissertation will not discuss this
process or its effects in any detail. Unfortunately, extensive investigations regarding

chemical alteration and its potentially important effects in clays are surprisingly few.

3.3.2. Theoretical Aspects of Fissure Softening in Clays

In the natural environment, clays are typically jointed. The highest strength
mobilised by clays in the field is never greater than the strength of jointed or slickensided

samples. In addition, much evidence has been presented which indicates that the softening
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of clay deposits is initiated along fissures, thereby further concentrating the zones of
weakness along fissure planes. Therefore, it is generally important to consider the jointed

nature of clays, and not threat these materials strictly as classical soils.

Since the first suggestions by Gregory (1844) and Delabache (1844) that the strength
of the London clay was being reduced by a softening of the clay material adjacent to
fissures, several other researchers have alluded to this possible mechanism to account for

the deterioration of strength in many clays.

Stark and Eid (1997) presented a study about “Slope Stability Analysis in Stiff
Fissured Clays”. Results of torsional ring shear direct shear, and triaxial compression tests
on cohesive soils reveal that the fully softened shear strength is stress-dependent and
related to the type of clay mineral and quantity of clay-size particles. An empirical
relationship for the fully softened friction angle is presented that is a function of liquid
limit, clay-size fraction, and effective normal stress. Studies of first-time slides, i.e., slopes
that have not undergone previous sliding, in stiff fissured clay with a liquid limit between
41 and 130%, suggest that the mobilised shear strength along the failure surface can be
lower than the fully softened shear strength. Recommendations are presented for
estimating the mobilised shear strength in first-time slides based on soil plasticity. Soils
with a liquid limit greater than 30% exhibit a large difference between the fully softened
and residual friction angles. In these soils, the presence or absence of a pre-existing shear
surface should be clarified. The following conclusions are based on results of torsional ring
shear, direct shear, and triaxial compression tests on clays, mudstones, and shales and

studies of first-time slides in stiff fissured clays.

The magnitude of the fully softened shear strength is stress-dependent and controlled
by the type of clay mineral and quantity of clay-size particles. A fully softened shear
strength relationship is presented that is a function of the liquid limit, clay-size fraction,
and effective normal stress. The relationship can be used to estimate the entire nonlinear
fully softened failure envelope or a secant fully softened friction angle that corresponds to
the average effective normal stress acting on the critical slip surface.

The mobilized shear strength along the failure surface in first-time slides through
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stiff fissured clay with a liquid limit between 50 and 130% can be lower than the fully
softened shear strength. A study of 14 first-time slides through stiff fissured clay suggests
that the mobilized shear strength can be as low as the average between the fully softened
and residual shear strengths. Additional case histories should be located and the effect of
other geological factors, such as fissure spacing and bedding existence, should be studied

to verify this conclusion.

The peak shear strength of the soil mass should be used to locate the critical slip
surface in slopes that have not undergone previous sliding. In high-plasticity stiff fissured
clays (liquid limit > 50%), the fully softened shear strength is approximately equal to the
peak shear strength of the soil mass and can be used to locate the critical failure surface.
The nonlinearity of the fully softened failure envelope should be incorporated into this
analysis. In slopes that have undergone previous sliding, the critical slip surface is usually

well defined, and thus does not need to be located.

The numerical difference between the fully softened and the residual friction angles
is a function of clay mineralogy and effective normal stress. Natural soils with a liquid
limit greater than 30% exhibit the largest difference in these friction angles (up to 160). In
these soils, the presence or absence of a preexisting shear surface should be clarified
during the subsurface investigation.

3.3.3. Progressive Failure

Progressive failure is a mechanism by which the strength of clay along a potential
slip zone can be progressively reduced from peak values to residual values. If the stresses
at any position along this potential slip surface exceed the peak strength of the material,
and if displacement occurs, then localized failure will occur and the strength of the
material at that position will decrease toward the residual value (Skempton, 1964). In the
example of a slope, illustrated in the schematics of Figure 3.4, the stresses at the toe of the
potential slip surface were sufficient to displace the material beyond the peak strength in
the zone D-F. This will cause a redistribution of stresses in the local area such that the peak

strength might likewise be exceeded in the adjacent material, as in zone F-G. This process
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will continue until the average shear strength along the potential slip plane is no longer
sufficient to resist complete failure along the plane, or until the redistributed stress state is
such that the peak strength is no longer exceeded at any point within the slip plane.

L}

a'f

Figure 3.4. Contours of shear strain in a slope and its relation to corresponding stress

states in overconsolidated clay (Botts, 1986).

Several factors determine the susceptibility of a material to progressive failure.
Bjerrum (1967) discussed several of these factors as they relate to a uniform slope. In order
for progressive failure to be initiated, stresses must locally exceed the peak strength of the

material. Thus, the danger of initiating progressive failure increases with an increase of the
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ratio, ph/sp, where pp, is the horizontal effective stress and Sp is the peak effective shear

strength. Furthermore, the local differential strains in the advancing failure surface must be

sufficient to strain the clay beyond peak resistance. The ratio, eh/ep, is a measure of the
amount that the horizontal strain. ep, resulting from the removal of lateral load, will
exceed the peak failure strain, ep- An increase in this ratio also increases the susceptibility
of the slope to progressive failure. The final ratio, sp/sr, of peak strength to residual

strength, indicates that progressive failure is also favored in soils which undergo rapid and

drastic reductions in strength after the peak strength is mobilized.

As measured by the factors discussed above, unweathered clays exhibit low
susceptibility to progressive failure. However, the weathering of clays breaks down bonds
and creates conditions of very high horizontal stresses relative to the vertical stresses.
Duncan and Dunlop (1968) have shown that such high horizontal stresses can cause a ten-
fold increase of the maximum shear strength at the toe of a slope where progressive failure
would most likely be initiated. Therefore, clays that have been weathered, or in the process
of weathering, are very susceptible to progressive failure. It appears that the mechanisms
of progressive failure and clay deterioration act in combination to greatly increase the risk
of slope failure.

3.4. Pre-failed Slopes

Slopes of clay and weak mudstone often contain shear surfaces at residual strength,
which were created by previous landslides or tectonic movements. Different soils in
distinct conditions have also different response to failure and strength reduction after

failure.

When designing a cutting in clay it is at the outset necessary to investigate whether
instability could be caused by reactivating failure along pre-existing shear surfaces. If that
is the case, the residual strength should be used. Where no pre-existing shear surfaces are
present, the design must guard against a 'first-time’ slide. In first-time slides, two limiting
conditions can be recognized. The first is the “short-term’ or ‘end of construction’ case, in

which no overall water content changes occur and the pore-pressures are controlled by
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changes in stress consequent upon making the excavation. They are difficult to predict with
accuracy. At present, the relevant effective stress shear strength parameters are not known
with certainty. For short-term design the ¢,= 0 analysis is therefore used, in saturated clays,
making proper allowance for the effects of discontinuities such as joints and fissures,
anisotropy, and rate of testing. The second is the 'long-term’ case, corresponding to steady
seepage pore-pressures. Here, the analysis is carried out in terms of effective stress. There
is abundant evidence that in over-consolidated fissured clays the cohesion intercept c'
operating at the time of failure is far less than the value measured in conventional
laboratory tests on small specimens. Indeed, it appears that the relevant field value of ¢’ in
such clays is almost zero (Chandler and Skempton, 1974).

The need for strain softening to occur as the soil weakens from peak strength to
critical state makes it very likely that localization of deformation in thin rupture zones will
occur. This will tend to obscure overall observation of attainment of critical states. The
critical state represents in many ways a lower bound to the strength of soils, but a lower,
residual strength may be seen if it is possible for orientation of particles parallel to a failure
plane to develop. It is, however, very important to distinguish between the drop of strength
which arises because of particle reorientation and the drop of strength which occurs in
overconsolidated soils as they suck in water and soften on shearing. That softening
emerges naturally in an elastic-plastic model of soil behavior. Once a localized plane or
thin zone of failure has developed, then such continuum models of soil behavior lose their
attraction; subsequent response must be described in terms of stresses on and

displacements across that thin zone.

Loose sand, normally consolidated clay and lightly overconsolidated clay (OCR<4)
show a gradual increase in shear strength as the shear strain increases, until an
approximately constant shear stress called Critical Shear Stress te. The soil becomes
compressed with shearing, i.e. it becomes denser, and hence the void ratio reduces until a

constant value called critical void ratio e is reached.
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Figure 3.5. Approach to critical state (South Bank University, 2003)
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In dense sand and heavily overconsolidated clay (OCR>4), shearing causes a rapid

increase in shear stress until a peak value is reached. A drop in shear stress then follows

with continuing increase in shear strain. This feature is referred to as strain softening and is

attributed to the appearance of localized failure zones called shear bands that have a

thickness of no more than 15 grains. The soil within the shear band undergoes intense

shearing, while the rest of the soil masses behave as rigid bodies. When a shear band

develops in some types of overconsolidated clays, the particles become oriented parallel to

the direction of the shear band, causing the final shear stress of these clays to decrease

below the critical state shear stress. This behavior is represented as in Figure 3.6.

Pealr strength state
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Figure 3.6. Behavior of overconsolidated clay (South Bank University, 2003)
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Residual strength is the lowest strength of a soil in the residual state, where flat
particles have become aligned with the slip plane and the flow is laminar. Residual
strength state occurs after a large amount of strain has taken place. For evaluating the
stability of such slopes during earthquakes, dynamic properties of materials with pre-
existing shear surfaces at or close to residual strength should be known e.g. as developed
along natural landslip surfaces. This type of soil compresses initially due to particle
adjustments and then expands (i.e. it becomes looser), until a critical void ratio e is
reached. (The critical state in soil mechanics is defined as the state at which no further

volume change occurs under continuing shearing).

Kuwano et al. (1991) observed in the experiments, which were conducted on
cohesive soils from landslide sites that the peak strength of the presheared sample
increased with the increase in the displacement rate. However, the residual strength did not
show a clear tendency with the shear rate. In the dynamic loading tests, the sample with
high plasticity index showed ductile stress versus residual displacement relationship
(Figure 3.7).
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Figure 3.7. Stress versus residual displacement (Kuwano, 1991)
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The dynamic strength of presheared sample was higher than the static strength of
presheared sample, i. e. the static residual strength (Figure 3.8). The ratio of two strengths
increased as the plasticity index increased (Figure 3.9). The ratio of the dynamic strength

to the static strength was about 1.3 to 2.0. The value was almost the same whether the
specimen was unsheared or presheared.
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Figure 3.8. Static and dynamic strength of ontake silt (Kuwano, 1991)

where,
Tug = Unsheared dynamic shear strength
Tpd = Presheared dynamic shear strength
Tus = Unsheared static shear strength

Tps = Presheared static shear strength
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Figure 3.9. Strength increase due to dynamic loading versus plasticity index,
(Kuwano, 1991)

3.5. Earthquake Effects Simulation with Fast Shearing of Pre-Existing Shear Zones

Pre-existing shear zones at or close to residual strength are frequently present in soil
due to previous movement caused by landsliding or tectonic forces. The influence of fast
shearing on the strength of such zones must be considered in the study of stability of soil
masses sliding on pre-existing shears under various disturbing events, such as the alteration

of external loading of sliding mass, seasonal groundwater changes, and dynamic events
such as earthquakes and blasts.

The residual strength of soil, measured at slow drained rates of shearing, has been
studied extensively in laboratories over the past 30 years. Various correlations between the
slow residual strength and index properties have been proposed in the literature. Lupine,
Skinner and Vaughan (1981) found that the residual strength, measured at slow drained

rates of shearing, resulted from three modes of shearing. These reflect the quantity of plate-
like particles present in the soil.

A turbulent mode (TU) is in soils with a high proportion of rotund particles, or
possibly in soils dominated by plate-like particles when the coefficient of inter-particle

friction between these particles is high. Shearing involves rotation of the rotund particles
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and a particle orientation has a negligible effect. The residual friction angle is high and
depends primarily on the shape and the packing of rotund particles and not on the
coefficient of inter-particle friction. A shear zone, once formed, is a zone of different
porosity only and it is considerably modified by subsequent stress history.

A sliding mode (S) is in soils with a high proportion of plate-like particles, low
friction particles. These particles orientate in the direction of shearing and deform
predominantly by sliding on a thin polished continuous shear surface. The residual friction
angle is high and depends primarily on mineralogy, pore water chemistry and the
coefficient of inter-particle friction. A shear zone, once formed, is a permanent feature of

the soil and is not significantly affected by subsequent stress history.

A transitional mode (TR) is in soils with no dominant particle shape. Shearing
involves both turbulent and sliding behavior in different parts of a shear zone in which
orientated shear surfaces can partly be formed but are continuously disrupted by the rotund
particles. In this mode, the residual friction angle is sensitive to small changes in grading

of the soil.

Most of the early investigations on the residual strength of soil were concerned with
the measurement of the residual strength of cohesive soils at relatively slow rates of
displacement. They found that the residual strength of cohesive soils is not significantly
rate-dependent. The existence of a significant rate effect on the residual strength of
cohesive soils was first identified in the work of Lupini (1981) and Martins (1983). Further
research has been carried out since then to investigate and assess these rate effects (Lemaos,
1986; Tika, 1989).

Lemos, Skempton and Vaughan (1985) showed that if a shear zone is formed at
residual strength by slow drained shearing and then tested at a fast rate, the following
features are typically observed:

e  There is initial threshold strength on the shear surface, mobilized at a negligibly
small displacement. The threshold strength is a function of the rate of

displacement and is considerably in excess of the slow drained residual strength.
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e  There is often a further increase in strength on the shear surface with fast
displacement up to a maximum value, the fast peak strength, which is again a

function of the rate of displacement.

o If, after fast shearing of a soil that shows transitional and sliding shear mode, the
shear surface is tested slowly, an initial slow peak strength greater than the slow
drained residual strength is measured, indicating that fast shearing causes

disordering of the shear surface.

In the light of the study conducted by Tika et al. (1996), it is obvious that the fast
shearing of the pre-existing shear zones of the soil generally have a tendency of higher
shear strength values than the slow shearings, but also some other tendencies are
observable (Figures 3.10 - 3.12). The soil history may be another effective point in shear
strength. The overconsolidation is related with the soil history and the study did not
include its effects on shear strength of the pre-sheared soils.
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Figure 3.10. Fast stages of ring shear test that shows neutral rate effect (Tika et al., 1996)
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Figure 3.11. Fast stages of ring shear test that shows negative rate effect (Tika et al., 1996)
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4. SHEAR STRENGTH CONCEPT

In the majority of troublesome stability problems the soils involved are cohesive
materials. Therefore, it may be stated that the importance of an understanding of the
fundamentals of shearing strength will apply in greatest degree to cohesive soils. There
probably is no phase of soil mechanics which has greater need of logical treatment and of
freedom from blind use of rule-of-thumb methods. In fact, no physical property of
cohesive soil is more complex than the shearing strength. This property depends on many
factors, and the individual factors are themselves complicated but, in addition, they are
interrelated to such a degree that it is extremely difficult to understand their combined

action (Taylor, 1948).

Generally, in the pseudo-static methods of analysis, the shear strength parameters
used are those measured in conventional shear strength tests. This assumption appears to

be justified by the relatively few examples where problems have arisen.

However, in cases where seismic loading may cause movement along an existing
discontinuity (such as a fault or old slip surface), significant decreases in the value of ¢,

have been reported by Skempton.

In the Fourth Rankine Lecture (Skempton, 1964) the following points were made

relating to long-term slope stability in overconsolidated clays.

e After a slide has taken place the strength on the slip surface is equal to the residual
value. The residual strength is associated with strong reorientation of the clay
particles and is represented by an angle of shearing resistance ¢ at peak strength

(Figure 4.1).

e First-time slides in slopes in non-fissured clays correspond to the strengths only

slightly less than the peak.

e First-time slides in fissured clays correspond to strengths well below the peak.
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Figure 4.1. Shear characteristics of clays (Skempton, 1970)

Some form of progressive failure must be operative to take the clay past the peak.
This could be simply the result of a non-uniform ratio of stress to strength along the
potential slip surface; but probably the fissures play an important role as stress

concentrators and in leading to softening of the clay mass.
Granted a progressive failure mechanism, the limiting strength would be residual,
and it is therefore reasonable to express the actual strength at the time of failure as a

function of the upper (peak) and lower (residual) limits, i.e. by the residual factor.

In natural slopes of London Clay the strength has fallen approximately to the residual

value.

The residual strength obtains on pre-existing shear surfaces, whether these are the

result of tectonic shearing or old landslides.

All these points except 5™ are still believed to be valid. In 5™ point the argument

short-circuits the critical state, and it fails to take into account the comparatively small

magnitude of the displacements which typically precede a first-time slide in

overconsolidated clays (Skempton, 1970).
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4.1. Peak and Residual Shear Strengths

When a soil is subjected to shear, an increasing resistance is built up. For any given

applied effective pressure, there is a limit to the resistance that the soil can offer, which is

known as the peak shear strength T,. Frequently the test is stopped immediately after the

peak strength has been clearly defined. The value T, has been referred to, in the past, as

simply the shear strength of the clay, under the given effective pressure and under drained

conditions.

If the shearing is continued beyond the point where the maximum value of the shear
strength has been mobilized, it is found that the resistance of the clay decreases, until
ultimately a steady value is reached. This constant minimum value is known as the

residual strength T, of the soil. The soil maintains this steady value even when subjected to

very large displacements.

The residual shear strength condition is of considerable practical importance since, if
the soil in situ already contains slip planes or shear surfaces, then the strength operable on
these surfaces will be less than the peak strength, and if sufficient displacement has taken

place, the strength may be as low as the residual strength.

There are a number of circumstances, as a result of which shearing of the soil may
already have taken place, and the principal processes, summarized by Morgenstern et al.

(1977), are:

e landsliding,

e tectonic folding,

e valley rebound,

e glacial shove,

e periglacial phenomena and

¢ non-uniform swelling.
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The identification of the existence of shear surfaces is a problem of great importance

during any site investigation, particularly where mass movements are involved.

It is generally accepted that the residual shear strength of a soil is independent of
stress history effects, not influenced by specimen size and rate-dependent to only a small
extent unless very rapid rates of shearing are used. The major difficulty in determining the
residual shear strength lies in the fact that large displacements may be necessary to achieve

the required degree of orientation of the particles (Price, 2003).

The most satisfactory methods for measuring residual shear strength in the
laboratory, in many ways, are to obtain undisturbed samples that contain a natural slip
surface and then test them in the shear box apparatus so that failure occurs by sliding along
the existing slip plane. Alternatively, an artificial slip plane can be produced by cutting the
specimen with a thin wire-saw. Much of the early work on determining the residual shear
strength of soils in the laboratory was performed using multi-reversal type tests in the shear

box on previously un-sheared material.

The results of tests to measure residual shear strength in the shear box and triaxial
apparatus have been reported by Skempton (1964). There are practical difficulties with
each of these tests, and they also have the major disadvantage that none of them permits

the complete shear-stress-displacement relationship to be obtained.

In all clays the residual strength will be reached after a continuous principal shear
surface has developed and, in the field this state appears to be attained typically after mass

movements of the order of several feet.

Methods for measuring residual shear strength are as following:

e Shear box
0 Tests on natural shear surfaces
O Reversal-type tests

0 Cut-plane tests

e Triaxial

0 Tests on natural shear surfaces
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0 Cut-plane tests

e Ring shear :The large displacements required to define the complete shear-stress-
displacement relationship can be obtained by using the ring-shear (or torsional shear)
apparatus. The apparatus, shown diagrammatically, consists of two pairs of metal
rings, which hold an annular sample. The sample is subjected to a normal stress and
then one pair of rings (normally the lower pair) is subjected to rotation. It is therefore
a form of direct shear test, and failure occurs along a predetermined plane, as with
the shear box. This type of apparatus was probably first used by Hvorslev and
Tiedemann (1937).

Plane of relative
rotary motion

Figure 4.2. Ring shear apparatus (Price, 2003)
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Table 4.1. Typical values of strength parameters (Price, 2003)

Peak shear strength Residual shear
strength
. c’ ¢’ c' '
Soil kN/m? Degree kN/m? degrees
London 35 20 0 13
clay,
brown
London 25 23 0 14
clay,
blue
Upper 20 24 0 15
Lias
clay
Cucarasha 30 23 0 8
shale
Upper 40 22 0 18
Siwalik
, Jari
Boulder 10 32 0 30
clay,
Selset

4.2. Efect of Shearing Speed on Residual Strength of Clay

In general, the activated landslides show a displacement rate from 5 cm/year to 50
cm/day. A strength parameter mobilized on a slip surface changes, accompanying a change
of displacement rate in an objective landslide block. Therefore, this factor should be taken

into account while carrying out a slope stability analysis with a great accuracy.

The residual strength of a soil is one of the most important strength parameters to
evaluate the stability of a reactivated landslide slope (Skempton (1964)). The relationship
between the residual strength and the shear displacement rate of various soils has been
examined using reversal box shear test apparatus (Skempton et al. (1967), Ramiah et al.
(1971) and Skempton (1985)) or ring shear test apparatus (Lemos et al. (1985), Skempton
(1985), Yatabe et al. (1991) and Suzuki et al. (2000)). Skempton (1985) emphasized that
the change in residual strength can be neglected when the shear displacement rate is
between 0.002-0.01 mm/min generally adopted in the laboratory tests. Yatabe et al. (1991)

reported that the residual strengths of clays in fractured-zone landslide areas hardly
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increase with increasing the shear displacement rate. In contrast, Lemos et al. (1985)
pointed out that the residual strength of soils with a high clay content increases with the
increasing shear displacement rate, whereas the residual strength of soils with a low clay
content decreases with the increasing shear displacement rate. Suzuki et al. (2000) have
clarified that the residual strength of a clay increases linearly with an increase in the

logarithm of shear displacement rate under the fully drained conditions.

To clarify the effect of shear displacement rate on the residual strength of soil,
consolidated constant pressure ring shear tests with different shear displacement rates
(0.02-2.0 mm/min) were performed. Based on the test results, the variation of the residual
strength with the shear displacement rate is discussed from the viewpoints of the clay

fraction, the plasticity index, and the activity with respect to a new parameter, o ',

proposed.

Us v ' ' i ! LI 1 T = (} 8 T T T T T T T T
(a) kaolin — 9= 0.0005 /i 4 (b) mudstone # = 0.00125 rad/min
& = (L0625 radimin ceemenes @ = ONDS radimin |
. “ . . -
1) —— i1 0,008 radmin 0.6 mammen §=0808 il
* ]
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Shear-normal stress ratio t/ o,
Shear-normal stress ratio ©/
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Shear displacement angle 0 (rad) Shear displacement angle 6 (rad)

Figures 4.3. Relationship between shear-normal stress ratio and shear displacement angle

for kaolin and mudstone

According to the results of the tests, Suziki et al. (2000) pointed out that the residual
strength of a soil is notably changed by the shear displacement rate, and this tendency
seems to be dependent on the physical properties of the soil. Figures 4.3a and 4.3b show
the relationships between the shear-normal stress ratio, T / oy and the shear displacement, 0
for kaolin and mudstone, respectively. For example, 8 = 10 rad is equivalent to D = 400
mm. The shear-normal stress ratio of all specimens clearly shows a strain softening

characteristic. Also, T / on - 0 curves are influenced by the rate of shear displacement
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angle. The residual strength of a soil is generally defined as a constant minimum shear
stress during a drained shear test. However, it is difficult to exactly judge whether the
relationship between the shear stress (or the shear-normal stress ratio) and the shear
displacement obtained by the ring shear test becomes a constant value after a large shear
displacement (Suzuki et al. (1997)). So, a hyperbolic curve is applied to approximate the
post-peak relation between the shear-normal stress ratio and the shear displacement angle,
and the shear-normal stress ratio at the residual state is defined as an asymptotic value of
the hyperbola. The applicability of this method was sufficiently supported by the test

results of kaolin and natural clays under various test conditions (Suzuki et al. (1997)).

4.2.1. Relationships of shear displacement rate to peak strength and residual

strength
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Figures 4.4. Relationship between shear-normal stress ratio and shear displacement angle
rate for kaolin and mudstone

Figures 4.4(a) and 4.4(b) show the relationships between the shear-normal stress
ratios at peak and residual states, i.e. T,/ on, T;/ ox and the shear displacement angle rate,
0 for kaolin and mudstone, respectively. In the case of kaolin, 1, / on decreases with
increasing the shear displacement angle rate above 6 =0.025 rad/min (D = 1.0 mm/min),
whereas 1, / on becomes constant in a range of 0.0005 to 0.025 rad/min. In the case of
mudstone, 1, / on decreases with increasing the shear displacement angle rate above 0 =
0.005 rad/min (D = 0.2 mm/min). These results agree with the previous results (Suzuki et
al. (2000)). These phenomena may be induced by the generation of excess pore water

pressure near the shear surface. In contrast, 1. / oy for kaolin and mudstone increases
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linearly with an increase in the logarithm of the shear displacement angle rate below 6 =
0.025 and 0.005 rad/min, respectively. 1, / on becomes almost constant in the same range
of shear displacement angle rate. It should be allowed to achieve a fully drained condition,
so that the excess pore water pressure generated inside the specimen does not cause a
substantial change in effective normal stress on the shear surface. To quantitatively
evaluate these experimental data, a rate effect coefficient, denoted as o', is proposed in the
following equation: o' = d( t/on)/d(log 0), which gives a'= 0.030 and 0.139 for kaolin and

mudstone, respectively.

From this study, conclusions may be summed up as;

e The residual strengths of kaolin and mudstone were significantly influenced by
the shear displacement rate

e The proposed parameter, a’ is an important index for evaluating the effectes of
the shear displacement rate on the residual strength.

e There exist linear relationships between a’ and the clay fraction and the plasticity
index. Variation in the residual strength with the shear displacement rate seems to

be relevant to the type and content of the clay minerals.
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5. TEST METHODOLOGY

In geotechnical engineering, laboratory simulations have been used to simulate
geotechnical problems such as the interaction between substructure and soil or the

interaction within water flow, soil, and external static or dynamic loads.

Stress history parameters like preconsolidation pressure, OCR and material
parameters, clay fraction, the size of specimens, and the rate of shearing, are very

important, influencing the effective shear strength of a clay mass.

In this section, the methods involved in the preparation of the laboratory specimens

for both direct shear and consolidation tests are discussed.

5.1. Test Material

For the laboratory experiments, for low plastic clay Kaolinite and for high plastic
clay 50% Kaolinite + 50% Bentonite mixture were used.

To determine the characteristics of the soil, according to standard classification of
soils for engineering purposes, USCS, (ASTM D 2487 - 00), Moisture Content Test
(ASTM D 2216), Particle-Size Analysis (ASTM D 421, 422), Hydrometer (ASTM E100 -
95), Atterberg Limit Tests (ASTM 4318) tests were conducted. To reach average values
for plastic limit, liquid limit and organic content, more than one set of experiments were

performed.

5.1.1. Material Properties

The collected Kilyos soil was classified by the basic soil classification tests. Grain
size distribution is given in Figure 5.1. The results of the classification tests are
summarized in Table. 5.1. The table shows the average values of Liquid Limit, Plastic

Limit, and Organic Content.
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Figure 5.1. Grain size distribution of kaolinite and kaolinite + bentonite mixture

Table 5.1. Results of laboratory tests conducted on kaolinite and kaolinite + bentonite

mixture

Geotechnical Property Kaolinite | 50% Kaolinite + 50% Bentonite
Pass No. 200 sieve, per cent 100 100

Liquid Limit, per cent 27 60

Plastic Limit, per cent 19 23

Specific Gravity (Gs) 8 37

Activity 0.29 0.86
Classification, ASTM CL CH

5.2. Test Progress

The behavior of the previously failed, overconsolidated clayey soils under
earthquake loading can be determined by a series of experiments. Consolidation tests were
conducted to prepare overconsolidated samples. To determine the shear stress capacities of
the prepared specimens, direct shear tests were applied. Before starting with consolidation,
plasticity of the soils and their characteristics should be known. For that purpose, standard
classification tests were employed, which were, Hydrometer test, and Atterberg Limits
analyses.
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In preparation of the slurry that was used for consolidation, clays mixed with water
equal to their liquid limit. After consolidation of the slurry, samples were put into 100 mm
x 100 mm standard shear test cells. In order to obtain consolidated samples, EL25-0402
series oedometer and for the direct shear tests, EL26-2112 series Digital Direct/Residual
Shear Apparatus were used. However, especially for this research, a set of new
consolidation cells were developed. The rings were not standard circular rings. They were
100 mm x 100 mm square stainless steel profile (Figure 5.2) with a Plexiglass rigid loading
plate above, and it was assembled in a Plexiglas outer shell to hold drained water (Figures
5.2-5.4).

Figure 5.2. Chosen stainless steel square profile
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Figure 5.3. Cross-section of consolidation cell
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Figure 5.4. Consolidation mechanism
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5.2.1. Specimen Preparation for Consolidation

First of all clays were selected for the purpose of the study; for low plastic samples
Kaolinite, for high plastic samples 50% Kaolinite + 50% Bentonit by weight were

employed.

To determine plasticity values of the samples Attarberg Limits analyses were
conducted. Obtained plasticity values were in the desired limits for low and high plastic

clays.

During the preparation of the samples, supplying special test rings suitable for the
purpose of this thesis gained importance. First, the 100 mm x 100 mm square shear cell
was selected. The largest standard consolidation cell is circular with the diameter of 7.5
cm, which was too small to trim samples for the shear cells chosen for this work. In order
to work with numerous and undisturbed samples simultaneously, special consolidation
cells would be required. That choice was driven by the need to carry out several tests at the
same time. The ring produced used to obtain overconsolidated samples is shown in Figure
5.5. The rings were 80 mm tall and obtained by cutting 100 mm by 100 mm square

stainless steel.

100

Figure 5.5. Chosen square consolidation ring (dimensions in mm)
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Consolidation of the slurry was done with a model EL25-0402 oedometer from ELE
International. The liquid limits of Kaolinite and the mixture are 27 % and 60 %
respectively. For the slurry preparation, the amount of water content that equal to the liquid
limits was chosen. Water clay mixture was held for half an hour before pouring it into the
square consolidation ring. During that time, water and clay formed a homogeneous

structure by hand blending.

Before the slurry (with water content equals to liquid limit) was poured into the
consolidation cell, a layer of filtration paper was placed on the porous stone to keep it from
clogging. Then the slurry was poured in. The slurry was then covered, first with a two-
layered filtration paper, and finally with a rigid loading plate. The weight of the loading
plate was ignored because it was Plexiglas, which is very light (Figure 5.6).

Figure 5.6. Consolidation cell (ring, porous stone, Plexiglas loading cap and outer shell)

5.2.2. Overconsolidation

At the beginning gradually, and then, with an increasing rate, loads were applied for
the consolidation progress (Figure 5.7). The duration between each weight increment was
minimally eight hours. The procedure was initiated with a 0.5 kg load and reached 37.6 kg
(4.08 kgf/cm? ~400 kPa), which was the chosen preconsolidation pressure for this

research. The whole procedure lasted two days.
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Figure 5.7. Loading of slurry with consolidation apparatus
For consolidation, the apparatus consisted of the following:

Consolidometer consisted of a rigid base, a consolidation ring, porous stones, a rigid
loading plate, and a support for a dial indicator. The various metal parts of the

consolidometer were noncorrosive material.

Consolidation ring completely and rigidly confined and supported the specimen
laterally. The inner dimensions of the square ring were 100 mm x 100 mm x 80 mm.
According to ASTM D 2435, the minimum specimen diameter is 50 mm and the
minimum specimen height is 12 mm or shall not be less then ten times the maximum
particle size and minimum specimen diameter-to-height ratio shall be 2.5; therefore,
the prepared square consolidation ring dimensions satisfied the ASTM standards.
The consolidation ring was made of a material that is noncorrosive (here stainless

steel) in relation to the soil tested. The inner surface was highly polished.

Porous stones under the specimen of soil were used to permit effective drainage. For

routine testing, stones of medium porosity were satisfactory. The dimensions of the
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porous stones prevented any squeezing out of soil through the clearance spaces
between the ring and stone. It permitted free compression of the specimen without
binding. To minimize the possibility of binding, the sides of the upper porous stone
of the fixed-ring consolidometer were slightly tapered away from the specimen,
while both porous stones of the floating-ring consolidometer were tapered. The

porous stones were cleaned after every test, preferably by boiling and flushing.

e Loading device was the beam-and-weight mechanism. The loading device was
capable of transmitting axial load to the specimen quickly and gently. Also, the
equipment was capable of maintaining a constant load for at least 24 hr. The
equipment was calibrated to ensure that the loads indicated were those actually

applied to the soil specimen.

¢ Dial Indicator reading counterclockwise, with a range of 20 mm and graduated to
0.010 mm was used.

e Other items used are:
Balances, sensitive to 0.1 g.

o]
o Timing device, a watch or clock with second hand.
o Distilled or dematerialized water.

o]

Filter papers and a piece of sponge.

5.2.3. Direct Shear Tests and Reaching Residual Strength

When the consolidation procedure was completed, the square samples were taken out
from the consolidation cells, wrapped with plastic film, and placed into glass desiccators
for resting. The desiccators contained water at the bottom to maintain humidity. The
samples and the water, of course, were kept separate. Similar to the humidity room, those
desiccators helped to preserve the original water content of the samples for the shear tests.

The wrapped samples were carefully removed from the desiccators and trimmed for 100
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mm x 100 mm shear ring with the height ~50 mm. Trimmed samples were also stored in

the desiccators until their turns came.

After trimming, each specimen in turn, was placed into the shear ring. Similar to the
consolidation apparatus, for the shear test apparatus, a couple of porous stones and
filtration papers were used. Samples in the shear test apparatus were kept in the distilled
water under the preconsolidation pressure that was 400 kPa. Under that loading tso values
for each kind of the samples were determined by the help of the ADU. Then the samples
were kept under corresponding normal load until its vertical displacement became stable.
Here again, weights and pressure calculations were done according to desired normal stress
values appropriate for the 100 mm x 100 mm specimens. The shear box can be seen in
Figure 5.8.

Normal Load

Screws

<
- Yl

Upper Part

s

POROUS 3TONE

~ SPECIMEN .
POROUS 3TONE \\

Figure 5.8. Shear test box with dimensions 100 mm x 100 mm

™~

\
Lower Part

The apparatus consisted of the following:

e Shear box of stainless steel was open at the top and divided horizontally into two

frames that fitted together accurately with alignment pins and elevating screws. The
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lower frame of the shear box contained a reservoir for water, with the bottom
grooved or provided with a grooved area to permit drainage. The upper frame of the
shear box contained an accurately machined piston, the bottom of which was also
grooved to permit drainage. The upper frame provided horizontal locking screws to
lock it to the piston within the upper frame of the box. The various metal parts of the

shear box were also noncorrosive material.

A digital Direct/Residual Shear Apparatus, EL26-2112 from ELE International was
used for the research (Figure 5.9). According to ASTM D 3080, the minimum
specimen width for a square specimen should be 50 mm or not less than ten times the
maximum particle size diameter, the minimum initial specimen thickness should be
12 mm, but not less than six times the maximum particle diameter, and minimum
specimen width to thickness ratio should be 2:1. Therefore, according to the
standards, a specimen with the thickness of about 50 mm for 100 mm by 100 mm

square shear box was adequate.

Figure 5.9. Digital direct/residual shear apparatus (EL26-2112)

e Porous stones were porous metal plates. It was very important that the permeability

of porous stones were not reduced by the collection of soil particles in the pores of
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the stones; hence, frequent checking and cleaning were required to ensure the

necessary permeability by flushing and boiling.

e Loading devices were employed for applying the normal load and horizontal shear

force to the specimen. The type of loading device used, met the following

requirements:

o

The equipment for applying the normal load shall be capable of transmitting the
load to the specimen quickly, without impact, and maintaining the load constant
for the duration of the test. The equipment should be calibrated to ensure that the

loads indicated are those actually applied to the soil specimen.

The horizontal shear force may be applied by either controlled-stress or
controlled-strain methods, though the controlled-strain method is preferred in that
the ultimate, as well as the maximum, stress can be determined. Controlled-strain
equipment should be capable of shearing the specimen at a uniform rate of strain
and should permit adjustment of the rate of strain over a relatively wide range.
The controlled straining of the specimen is usually done with a motor and gear
box arrangement, and the shear force is determined by a load-indicating device

such as a proving ring or frame.

e Dial indicators for measuring (1) vertical deformation of the specimen, had a range

of 1 cm. and an accuracy of 0.01 mm; and (2) horizontal displacement of the

specimen, had a range of 2 cm and an accuracy of 0.01 mm.

e Other items used were:

O O O O

Balances, sensitive to 0.1 and 0.01 g.

Timing device, a watch or clock with second hand.
Distilled or dematerialized water.

Equipment for preparing specimen (EM 110-2-1906).
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After the requirements for the direct shear test were satisfied, the direct shear tests
were employed to model the overconsolidated previously sheared (or failed) clayey soil
slopes and also they were used to simulate earthquake loading by fast shearing with the
same sample after a certain time. In the tests, a relatively thin, square specimen of soil was
placed in the rigid box of EL26-2112 Series Digital Direct/Residual Shear Apparatus
(Figure 5.9) that has fully variable speed between 0.00001 to 10 mm/min. Its speed range
Is appropriate to simulate earthquake effect by fast shearing and it also provided acceptable
slow strains to determine slow strain-rated residual shear strengths of the specimens.
Minimum of three specimens, each under a different normal stress, were required to
establish the relation between shear strength and normal stress, therefore, five specimens
for each of the three loading conditions. Thus, peak and residual effective cohesion and
internal friction angle values for each sample with duration times of, at least, 21 days were
found. The magnitudes of the vertical pressures were 50 kPa, 75 kPa and 100 kPa. Because
of the difficulties involved in controlling drainage of the soil specimen during the direct

shear tests, the drained test method was employed.

Before starting the shear test, according to desired OCR values, required loads were
applied to the specimen in the 100 mm x 100 mm shear ring. It was kept in water for
swelling while it was still in the shear rings. Then, loaded specimen was prepared for the
test with the desired OCR value and then ADU was set up to start the test.

The experiment consisted of three steps; determining the shear strength, then residual
strength and after, at least, 21 days, fast shearing response of the specimen. For the first
two steps, for Kaolinite 0.1 mm/min and for Kaolinite + Bentonit mixture 0.0667 mm/min

strain rates were employed.

All tests were done five times for three different normal loading to obtain the shear
strength - normal stress relationship. Applied loads (5 kg, 7.5 kg, and 10 kg) were chosen
according to desired normal stress values that were ~50 kPa, ~75 kPa, and ~100 kPa. Shear

stresses were measured with a three kN capacity load ring.
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The dynamic (fast) shear strength tests, in the same manner, were conducted at least
21 days after the residual shear strength tests, with the strain rate of 10 mm/min which was

the maximum strain rate of the shear test apparatus EL26 — 2112.

A total 30 clay specimens and approximately 30 kg of clay were used for 210 shear
tests. For all shear stress measurements a three kKN capacity load ring was utilized. For
horizontal deformation measurement a dial gage of maximum 20 mm deformation length
and for vertical deformation measurement another gage with maximum 10 mm
deformation capacity were employed. Parallel to those gages, an ADU was connected with

three analog inputs to measure horizontal, vertical strains and shear stress.

In the constant rate shear tests made by Kuwano et al.(1991), shear stress versus
shear displacement relationships for the soil procured from the slope failure site in Ecuador
are shown in Figure 5.10. The solid lines denote the results of presheared samples,
whereas, the broken line indicates the test results of unsheared sample. As shown in the
Figure 5.10, the peak strength of the presheared sample was higher for the higher shearing
rate. On the other hand, the residual strength did not show a clear variation with the
displacement rate. Though the residual strength was almost constant at displacement rates
less than 1.0 mm/min, it increased or decreased with the shear rate depending on
circumstances.

Ecuador Presheared sample
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Figure 5.10. Shear stress versus shear displacement of constant rate shear tests (Kuwano et
al.,1991)
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Before shearing, specimens were rested in distilled water to swell under the
appropriate load related to the normal stress value. During the tests, specimens were kept
in distilled water for two reasons; first, because the tests were drained shear strength tests
and second to prevent it from drying. Since the duration of the test was around ten hours,

the specimen could lose water when squeezed.

To accomplish the overconsolidation, each sample was kept under desired loading
according to its normal stress value until the vertical displacement ended. Before loading
the sample, it was assured that the sample totally submerged in the distilled water and
water level kept constant during the whole test time. For each sample, at least three
forward shear tests were conducted one after another with the corresponding shear rates.
Due to the capability of the measurement devices, only forward movement data was
collected. In other words, four forward and four backward shear tests were conducted but
only the forward data could be collected. For each forward and backward movement of the
shear box, at least 12 mm displacement was achieved, which is equal to 12 percent strain.
Thus, after forward and backward shearing a minimum of 72 mm displacement was

recorded.

Throughout the tests, data was recorded by the ADU at every 120 seconds for
horizontal and vertical displacements and horizontal shear stress. Then, the automatic

readings were collected and the most reasonable graphics for the shear tests were obtained.

After three sets of shearing, water was discharged from the shear box, then the upper
and lower shear rings were detached carefully before removing the samples. Wet samples
were wrapped with stretch film and labeled with shearing direction, sample type and

number, normal stress value and the date of the test.

Each sample was stored in special glass desiccators that contained water in its base to
keep it humid (Figure 5.11). Samples, after shear tests, were stored in those desiccators for
the fast shear tests. When the samples were placed into the desiccators, special care was

taken not to disturb them and to prevent them from touching each other.
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Figure 5.11. Desiccator

After 21 days, the pre-sheared samples were taken from the desiccators and again
placed into the shear rings keeping in mind the shearing direction. Then, the samples were
loaded with the related normal stress value and sheared with a 10 mm/min strain rate,
which is the maximum rate of the shear test apparatus. This time there was no water in the

shear box, because it was an undrained fast shearing test.

All samples were kept in desiccators during the resting periods. Thus, the normal
load did not exist while the samples were resting. This resulted in the swelling of the
clayey samples and of the widening of fissures. In another words, the samples lost strength.
Thus, at the time the samples were removed from the desiccators and placed into the direct
shear device, they were at their weakest state. Then, the normal load was once again
applied to the samples. Just after that, without waiting, the fast shear tests were initiated.
Even under these circumstances, the samples demonstrated much stronger resistance to fast
shearing in comparison to their residual strength. For this reason, keeping the samples in

the desiccators without normal load was not considered problematic.

In contrast to the shear tests to find the peak and residual shear strengths of the
samples, in fast shear strength tests, samples in the shear test apparatus were not loaded

before testing, until its vertical displacement became stable.



64

Throughout fast shearing, again, ADU was employed (Figure 5.12). Reading of the

maximum value for shear strength and the deformation limits were determined by ADU.

Figure 5.12. ADU and shear test apparatus

The data was recorded and saved on diskettes. The results were obtained graphically
on the computer (Figure 5.13).
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Figure 5.13. Graphical representation of test data by ADU

Microsoft Excel was used to record the ADU readings in order to perform the
calculations, and to create graphs and charts. From those graphs, the maximum and
residual shear stresses, the corresponding deformations and the internal friction angles
were calculated. Furthermore, the strength changes during the tests were observed.

5.2.4. Strength Gaining and Fast Shear Tests

Strength gaining (thixotropy) of the pre-sheared clays with time is believed to result
mainly from a change in yield stress (VAN OLPHEN, 1963). This can be explained if it is
accepted that shear breaks interpaticle bonds causing a disruption of the stable fabric. In
this interpretation, the strength recovery on ageing implies that conditions in the system
favour re-establishment of bonds broken during shear and a fabric similar to that in the
undisturbed material reconstructed. The alternative proposition is that the changes in yield
stress which accompany shear or lack of disturbance following shear result from reversible
changes in the thickness of the layers of oriented water molecules associated with the clay

minerals.

After strength gaining, fast shear tests give higher strength values than the residual

strength because of the speed of the shearing. Depending on the shearing speed the fabric
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of the clay, shearing surface resists more or less against the movement. With increasing the

speed the resistance increases.

Texture, plasticity or water absorption capacities of the clay make the resistance
level change. More plastic clays show less resistance to the fast shearing due to greater
number of weak water bonding. Clay particles make ionic bonds with water and water
separates the clay particles and provides water pillows between particles. Therefore,
friction and bonding between particles are prevented and more plastic clay show less

resistance against shearing.
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6. TEST RESULTS AND DISCUSSION

Artificially prepared clay specimens were consolidated in EL25-0402 model
oedometers. Those specimens were, then, sheared in a 100 mm by 100 mm direct shear
box in subsequent sets of loadings related with the desired normal stress values until they
reached their residual shear strength values. After resting periods that were at least 21 days,
specimens were fast sheared to simulate the effects of an earthquake on previously failed

overconsolidated clay soil slopes.

Results of these tests are given in the following section.

6.1. Direct Shear Test Result

Each of consolidated specimens was put into the direct shear test ring and the box
was filled with distilled water. Here 400 kPa preconsolidation pressure was applied and
consolidation response was monitored by ADU. ADU gave the consolidation graphics and
then tso values for both kinds of samples determined. Then, corresponding normal pressure
(50 kPa, 75 kPa or 100 kPa) was applied. The shear test strain rates were calculated with

the formulas below.

tr=50 X ts (6-1)
Then, from
€ mm/min = A/t;. (6-2)
where
tso = the time required to complete 50 % consolidation
tr = failure time

€ = strainrate
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ts50 for Kaolinite is = 2 minutes and for the mixture it is = 3 minutes. Therefore, t¢

values are 100 minutes and 150 minutes respectively. Then € values become 0.1 mm/min

and 0.0667 mm/min.

After determination of the shear strains, the samples sheared under the corresponding
normal loads. The shear tests were repeated at least three times in forward and backward

directions. The peak and residual values and related graphics are shown below.

In the Table 6.1, the peak and residual values can be seen. The average values of the
shear strengths of the samples were used to determine the internal friction angle and

cohesion intercept.

Figures 6.1 — 6.15 show the peak, residual and fast shear graphics of Kaolinite +
Bentonite mixture under three different normal stresses and figures 6.16 — 6.30 illustrate
the peak, residual and fast shear strength of the Kaolinite samples under again three

different normal loadings.
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Figure 6.1. Shear test graph for Sample 1 under 100 kPa
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Figure 6.2. Shear test graph for Sample 2 under 100 kPa
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Sample 3 K+B under 100kPa
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Figure 6.3. Shear test graph for Sample 3 under 100 kPa
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Figure 6.4. Shear test graph for Sample 4 under 100 kPa
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Figure 6.5. Shear test graph for Sample 5 under 100 kPa
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Figure 6.6. Shear test graph for Sample 6 under 75 kPa
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Figure 6.7. Shear test graph for Sample 7 under 75 kPa
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Figure 6.8. Shear test graph for Sample 8 under 75 kPa
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Figure 6.9. Shear test graph for Sample 9 under 75 kPa
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Sample 11 K+B under 50kPa

50 -

40 1
,(-U\ ++++++ L. | I Ll L Ll LLLI[I—HII:II:II:II:II:II:II:II:II:II:II:II::::::: II: II:II:
n_ _’_ +_ 1 LI LB
2 30 1
s i
Z +
Ss20% 1
_E:-‘i +
» H

10 ¥+

+
0 T T T
0 2 4 6 8 10 12
Horz. Displ. (mm)
—¥—Pre-shear - -+ - Fast Shear
Figure 6.11. Shear test graph for Sample 11 under 50 kPa
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Figure 6.12. Shear test graph for Sample 12 under 50 kPa
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Figure 6.13. Shear test graph for Sample 13 under 50 kPa
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Figure 6.14. Shear test graph for Sample 14 under 50 kPa
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Figure 6.15. Shear test graph for Sample 15 under 50 kPa

Sample 16 K under 100 kPa

-
-
-+
-
-
-
-+
=+
—+

70 - . iy Ty th ettt

_‘
o

-
-
-
-
-
-
-
-
-
b ul
=

Shear Str. (kP

0 2 4 6 8 10 12
Horz. Displ. (mm)

—¥— Pre-shear - -+ - Fast Shear

Figure 6.16. Shear test graph for Sample 16 under 100 kPa
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Figure 6.17. Shear test graph for Sample 17 under 100 kPa
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Figure 6.18. Shear test graph for Sample 18 under 100 kPa
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Figure 6.19. Shear test graph for Sample 19 under 100 kPa
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Figure 6.20. Shear test graph for Sample 20 under 100 kPa
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Figure 6.21. Shear test graph for Sample 21 under 75 kPa
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Figure 6.22. Shear test graph for Sample 22 under 75 kPa
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Figure 6.23. Shear test graph for Sample 23 under 75 kPa
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Figure 6.24. Shear test graph for Sample 24 under 75 kPa
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Figure 6.25. Shear test graph for Sample 25 under 75 kPa
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Figure 6.26. Shear test graph for Sample 26 under 50 kPa
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Sample 27 K under 50 kPa
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Figure 6.27. Shear test graph for Sample 27 under 50 kPa
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Figure 6.28. Shear test graph for Sample 28 under 50 kPa
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Sample 29 K under 50 kPa
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Figure 6.29. Shear test graph for Sample 29 under 50 kPa
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Figure 6.30. Shear test graph for Sample 30 under 50 kPa
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In Figure 6.31 and Figure 6.32 show the relation between shear strength and normal

stress for the mixture and only Kaolinite respectively.

Shear Strength, t (kPa)

T vs O for the Kaolinite and Bentonite Mixture
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Figure 6.31. 1 versus o graphics for Kaolinite and Bentonite mixture
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T vs O for Kaolinite only
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Figure 6.32. t versus o graphics for Kaolinite only samples

In Table 6.2 gives the peak, residual and fast shear cohesion and internal friction
angle values according to t vs o graphics. For the mixture and for Kaolinite only sample, t

vs o graphics can be seen in Figure 6.31 and Figure 6.32 respectively.

In Table 6.3 the results of a different approach from the same graphs seen as in
Figure 6.33 and Figure 6.34. Here general tendency is determined by a line and the other
two lines have the same slopes. Here the slope is same for all lines but the cohesions are
different.



Table 6.1. Shear test results
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Type of Nomal | Pesk | Average | Residual | Average | oo | i
the Sample | Stress Strength Shear
Specimen (kPa) Strength | Strength Strength Strength (kPa) Strength
(kPa) (kPa) (kPa) (kPa) (kPa)
1 100 57.0 44.0 47.0
2 100 62.0 48.0 50.0
3 100 64.0 60.5 51.0 48.0 48.0 50.0
4 100 61.0 52.0 53.0
5 100 58.5 45.0 52.0
6 75 51.0 43.0 48.0
7 75 53.0 45.5 51.0
K+B 8 75 55.0 53.0 49.0 46.0 56.0 52.0
9 75 52.0 47.0 52.0
10 75 54.0 45.5 53.0
11 50 40.0 30.0 36.0
12 50 41.0 30.5 36.5
13 50 40.5 40.0 31.0 30.5 37.0 37.0
14 50 40.0 31.0 38.0
15 50 38.5 30.0 37.5
16 100 75.0 63.0 73.0
17 100 74.0 64.0 76.0
18 100 70.0 72.5 67.0 65.0 80.0 76.5
19 100 72.5 68.0 76.5
20 100 71.0 63.0 77.0
21 75 56.0 53.0 60.0
22 75 55.5 52.0 56.5
K 23 75 55.5 56.0 53.0 53.5 57.0 58.0
24 75 56.0 54.0 56.0
25 75 57.0 55.5 60.5
26 50 46.0 40.0 57.0
27 50 47.0 40.5 55.0
28 50 49.0 475 42.0 41.0 50.0 53.5
29 50 48.0 41.0 53.0
30 50 475 41.5 52.5
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Table 6.2. Peak, residual and fast shear cohesion and internal friction angle values

Sample Peak Residual Fast
Type
c (kPa) | ¢ (degree) | cr(kPa) | ¢ (degree) | cr (kPa) | ¢ (degree)
K+B 20.4 22.3 15.2 19.3 26.8 14.6
K 21.2 26.6 17.2 25.6 28.2 24.7

Table 6.3. Peak, residual and fast shear cohesion and internal friction angle values for

parallel lines model

Sample ) c (kPa)
Type (degree) | Peak | Residual | Fast
K+B 18.18 26.34 17.33 20.79
K 28.01 18.42 12.34 21.74

T vs © for the Kaolinite and Bentonite Mixture
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Figure 6.33. Parallel line representation of t versus o graphics for Kaolinite and Bentonite

mixture



88

90 -

80 -

70 A

60 -

50 -

40 ~

Shear Strength, t (kPa)

\
\

AYAY
W\

30

20

10 4

T vs © for Kaolinite only

y=0.53x+12.34

20

& K (Peak)

40

60

Normal stress, o (kPa)

B K (Res.)

A Fast

80

100

120

Figure 6.34. Parallel line representation of t versus o graphics for Kaolinite only samples

Table 6.4. Shear strength changes

% Change
Avg. Peak Avg. Res. Avg. Fast
Normal Btw. Res.
Type Shr. Str. Shr. Str. Shr. Str.
Stress (kPa) & Fast Shr.
(kPa) (kPa) (kPa)
Str.
100 60.5 48.0 50.0 4.17
K+B 75 53.0 46.0 52.0 13.04
50 40.0 305 37.0 21.31
100 725 65.0 76.5 17.69
K 75 56.0 535 58.0 8.41
50 475 41.0 53.5 30.49

The strength changes from the first shear test to residual strengths and from residual
to fast shear strength are shown in the Table 6.4.
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7. CONCLUSION

The main purpose of this research was to determine the effects of earthquakes on
previously failed overconsolidated low and high plastic clayey soil slopes. For this
purpose artificially overconsolidated clay specimens were prepared and tested in a direct
shear test apparatus to observe the strain softening behavior until their residual strengths
were reached. After the specimens reached their residual strengths, they rested at least 21
days in desiccators, then re-tested with fastest speed the shear apparatus can provide to

determine their dynamic strengths.

To achieve these objects a comprehensive series of direct shear tests were carried
out on artificially prepared specimens. For these experiments clay samples with two
different plasticity were prepared in the laboratory from slurry. These samples were used
to simulate the strain softening behavior of overconsolidated clays as well as to simulate

the effects of earthquakes.

The results of the tests showed that the peak shear strength parameters were
reduced to residual strength values when excessive deformation was applied. The
cohesion of the high plastic clay samples reduced from ¢’ = 20.4 kPa to ¢, = 15.2 kPa,
the low plastic ones have ¢’ = 21.2 kPa and ¢, = 17.2 kPa and the internal friction angle
of the high plastic clay samples reduced from ¢' = 22.3° to ¢', = 19.3° and the low plastic
ones have ¢' = 26.6° and ¢'; = 25.6°.

The samples that failed and reached their residual strength were subjected to
approximately same resting periods to gain strength. The effects of fast shear load that
was parallel to the shear plane watched.

To evaluate the effect of normal stress on the fast shear strength of

overconsolidated pre-failed soil slopes, specimens were tested under different normal
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stresses after shearing and waiting for some period of time. In the same resting period,

specimens showed increase in their fast shear strengths with increasing vertical stress.

The cohesion and internal friction angle values obtained from the fast shear tests
showed that whereas the cohesion increased significantly, the internal friction angle
decreased slightly for Kaolinite only samples but decreased significantly for Kaolinite +
Bentonite mixture. For Kaolinite + Bentonite mixture ¢’y = 15.2 kPa and cr (K+B) = 26.8
kPa, for Kaolinite only samples c'; (K) = 17.2 kPa and cg (K) = 28.2 kPa, and the internal
friction angles reduced as; from ¢’ (K+B) = 19.3° to ¢r (K+B) =14.6° and from ¢'; (K) =
25.6° to ¢ (K) = 24.7°. Here, also it can be seen that the cohesion values for fast shearing
are higher than the first shearings for both K + B and Kaolinite only samples, Crast > Cpeak

> CResidual-

The other approach about the same graphs of results is parallel lines. Here general
tendency is represented by a line and the other two lines with the same slope represent the
other data. From this approach it can be seen that Kaolinite only samples show significant
increase in cohesion values. General tendency, when slope is kept constant, iS Cpeax >

CResidual <CFast.

According to the results of the parallel lines approach, again samples have another
interesting response to fast shearing. The cohesion value for fast shearing is higher than
the first shearing for only Kaolinite samples but this time K + B samples have lower

cohesion value than the first time shearing cohesion.

Even after a short period, like 21 days, fast shear test results indicated that shear
strength parameters for Kaolinite + Bentonite mixed samples were very close to the peak
strengths, but Kaolinite only samples have higher values than former states. Therefore,
based on the experimental results obtained for the Kaolinite clay and Kaolinite +
Bentonite mixture, it can be argued that to use residual values for a pre-failed

overconsolidated slope while analyzing earthquake conditions, is very conservative and
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low plastic clays has higher strength gaining capacity then the high plastic clays in the

same time period.

Another interesting result is recognized from the strength changes and normal stress
relations as seen in Table 6.4. Especially in K + B mixture, results of percent changes
show that with increasing OCR, strength gaining gets higher values. This means that the

OCR value is important when the shear strength values taken into account.
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8. RECOMMENDATION

Plasticity of the clayey soils is highly effective on their shear strengths. Therefore, tests
should be repeated with different cohesive soils that have different plasticity using the same
test procedure to be able to reach a general conclusion. Also, the size of the shear box can be
changed or, if available, the ring shear test apparatus can be employed especially for residual
strength determination. Dynamic shear tests may be better in simple shear test apparatus that

has ability to make cyclic-dynamic loading.

Another interesting research subject can be strength changes related with the OCR and
with more tests, the behavior of overconsolidated clayey specimens can be much clearer.
Especially in higher plastic clays, more interesting changes may be observed. Results of
percent changes with increasing OCR, strength gaining would be much more important. This
means that the OCR value is important when the shear strength values taken into account.
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